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ABSTRACT: Mass timber (MT) shear walls have emerged as a viable option for use as the primary lateral force-resisting 
system in building structures. However, when implemented in mid- or high-rise, balloon-type construction, a single MT 
panel may not be long enough to span the full building height. Thus, to achieve a design intention of continuous walls, 
multiple panels must be stacked and vertically spliced. One promising design solution to provide adequate strength and
stiffness for the splice connection involves installing glued-in rods (GiR) vertically along the axis of the panels. However, 
the existing body of full-scale experimental research is limited, and no testing is available to evaluate this connection’s 
performance under dynamic earthquake loads. This paper presents the implementation of a GiR splice connection for 
balloon-type Mass Ply Panel (MPP) shear walls installed in a full-scale, six-story shake-table test building. A procedure 
for designing GiR wall splice connections is proposed and the structural response of the connection after a series of shake-
table tests examined. Results from testing affirm the high strength and stiffness of the connection, validating the design 
approach and demonstrating structural adequacy for vertically splicing MT shear walls.
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1 – INTRODUCTION

The demand for buildings in North America constructed 
with engineered mass timber (MT) products has grown 
sharply in the last 10 years [1]. Fueled by aesthetic 
intrigue, potential for sustainability, and enhanced 
constructability, designers have begun pushing the limits 
on utilizing MT for many building configurations [2].

While MT products have most typically been used as 
columns, beams, or more recently as floor panels, there 
is also the potential to use MT panels as shear walls to 
comprise the building’s lateral force-resisting system
(LFRS). These shear wall elements were initially 
incorporated into building codes for platform-type 
construction, where each individual panel would 
vertically span one-story segments. This configuration is 
not ideal for tall MT building construction, however, as 
the accumulated gravity loads of the shear walls bearing 
on the floor panels perpendicular-to-grain often govern 
the design [3]. An alternative approach utilizes the shear 
wall panels in a balloon-type configuration, where panels 
span continuously the full-height of the building. One 
primary challenge in this configuration is that a single 
panel cannot vertically span the full height of tall 
structures (typically 5 stories or more), as panel 
dimensions are constrained logistically by manufacturing 
and transportation capabilities. Thus, for incorporation 
into mid- or high-rise buildings, multiple panels must be 
stacked and vertically spliced.

Glued-in rods (GiR) are one potential design solution for 
this splice connection, having several merits including
aesthetics, resistance to fire and corrosion, and ductility
in seismic events. The structural behavior for GiR in pull-
out tension and shear has been thoroughly investigated at 
the component level in a wide array of different setups 
that vary wood substrate, rod type, adhesive type, hole 
oversizing and connection geometry [4-13]. This body of 
research has yielded several general recommendations 
for designing GiR connections that include: a minimum 
suggested edge distance of 2.5 times the rod diameter (d),
a minimum rod spacing of 4-5d , a glue-line thickness of 
2 mm with some testing showing adequate strength up to 
4 mm [13], the preference for epoxy over other adhesives 
such as polyurethane and phenol resorcinol, the use of 
threaded rods to promote bond strength from enhanced 
mechanical interlocking, and the use of low-strength,
mild steel rods to enhance the connection ductility [14], 
[15].

Recently, two component tests were performed in tension
[6] and shear [16] for GiR in a Mass Ply Panel (MPP)
[17] substrate to support the larger Natural Hazards
Engineering Research Infrastructure (NHERI) Tallwood

[18] and NHERI Converging Design (CD) [19]
experimental campaigns. These component test
specimens were detailed to the lower threshold of
recommended values for edge distance (2d), rod spacing
(4d), and glue-line thickness (3.2 mm [1/8 in]), to
benchmark lower bound strength values and allow for
greater flexibility for the full-scale design. Other
detailing recommendations were followed including the
use of threaded rods and epoxy. For shear, Grade (Gr) 36
mild steel rods were used. An available strength in LRFD
and nominal (expected) strength were determined for a
single GiR as 14.5 kN (3.3 kips) and 33.6 kN (7.6 kips),
respectively. For pull-out tension tests, high strength rods
were used such that the strength of other, brittle failure
modes such as the adhesive failure at the MPP / steel
interface, wood plug pull-out, splitting of the MPP, etc.
could be characterized. Tests were conducted for GiR
embedments of 305 mm (12 in), 508 mm (20 in), 610 mm
(24 in), and 813 mm (32 in). For a 610 mm (24 in)
embedment, a nominal strength of 255 kN (57.2 kips) and
standard deviation of ±12.7 kN (2.86 kips) was
determined.

Utilizing the collection of knowledge from previous 
experiments, a full-scale GiR connection was designed 
and implemented in the NHERI Tallwood ten-story and 
CD six-story shake-table test buildings. The six-story 
building is the focus of this work, where the GiR 
connection was used to vertically splice MPP wall panels
to form a balloon-type MT rocking wall. The building 
was 20.7 m (68 ft) tall, with the first story being 4 m (13 
ft) in height and subsequent story heights of 3.4 m (11 ft). 
The GiR splice occurred at approximately 12.2 m (40 ft) 
up the height of the building. This paper describes the 
design of the GiR connection, shake-table test setup, and 
an overview of results from testing.

2 – DESIGN

Design forces can be determined from a number of 
seismic design procedures, as allowed by the Authority 
Having Jurisdiction governing the building. For this 
analysis, estimates for peak shear and bending moments 
were determined from a complementary numerical model
[20-21] which accounted for higher-mode force 
contributions [22-27]. Enveloped demands produced 
from several earthquake ground motion records including 
Northridge, Niigata, Ferndale, and Maule were analyzed. 
At the design earthquake (DE) shaking intensity level, the 
shear force and bending moment at the GiR connection
were calculated as 143 kN (32 kips) and 972 kN-m (717 
kip-ft), respectively. At the 1.1 Risk-targeted Maximum 
Considered Earthquake (MCER) level, demands were 
194 kN (44 kips) and 1379 kN-m (1017 kip-ft),
respectively.
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Shear and bending moment capacities were determined
considering different zones of GiR: an inner zone at the 
center of the wall with capacity to resist the sliding shear 
forces and two outer zones with capacity to resist bending 
moments.

The inner zone was composed of shorter embedment rods 
(herein called “shear GiR”) with the same embedment
that had been used for component testing [16]. Two rows 
of (7) shear GiR were implemented for the design, 
resulting in a total of (14) shear GiR accounting for the 
shear resistance. The available strength in LRFD for a 
single GiR (as determined in component testing [16]) was
then multiplied by the total number of shear GiR to 
determine the design shear strength, as shown in Eqn. 1:

(1)

where , , , and N represent the design shear
strength, resistance factor (0.75), available strength in 
LRFD of a single GiR, and total quantity of shear GiR,
respectively. Using this formulation, the design shear
strength was calculated as 203 kN (45.6 kips), resulting 
in a demand / capacity ratio (D/C) = 0.96 when compared 
to shear demands at 1.1 MCER shaking intensity level.
The expected shear strength of the connection was also
calculated using the expected strength of a single GiR (as 
determined in component testing [16])—resulting in an
expected shear strength of 470 kN (106 kips) (D/C = 
0.41). The significant margin between the design and 
expected shear strength of the connection allowed for 
greater design confidence that the shear GiR could 
adequately resist demands from repeated, high-intensity 
testing. Both calculations conservatively neglected the
longer embedment rods in the outer zones for their 
potential contribution to the shear capacity.

The two outer zones, designed with sufficient capacity to 
resist peak bending moments, were composed of longer 
embedment rods (herein called “flexural GiR”). These
flexural GiR developed the flexural capacity of the 
section through an internal tension / compression force 
couple considering the GiR in tension and the MPP acting 
in compression. This capacity was calculated using a
sectional analysis. The GiR at the extreme tension end 
were considered to reach the yield strain (εy), and the 
tensile force contribution from the GiR between the 
extreme tensile GiR and neutral axis were calculated 
from a linear strain profile. F1554, Gr 36 mild steel 
threaded rods were used whose yield strength (Fy) was
calculated as 97 kN (21.8 kips). The compressive 
contribution from the MPP was calculated assuming a 
linear-elastic-perfectly-plastic state, with a compressive 
strength ( ) of 39.7 kPa (5.76 ksi) [17]. After several
iterations of axial force equilibrium, the depth of the 

neutral axis was determined and used to calculate the
respective contribution of MPP and each GiR. The design 
flexural capacity was calculated using Eqn. 2:

(2)

where represents the design flexural capacity, the
resistance factor (0.9), the strain in each rod, the stress in
MPP at the extreme compression end, and and the length
of the linear and constant strain region in the MPP. This 
calculation resulted in a design flexural capacity of 2379 kN-
m (1754 kip-ft) (D/C = 0.58). For design conservatism, 
GiR on the compression side of the neutral axis were not 
considered nor the shear GiR for their flexural resistance.
Figure 1 illustrates the sectional analysis performed. This
connection was capacity-designed such that the rods 
(having a ductile failure mode in yielding) would be the 
weak link in the system. Considering a 610 mm (24”)
GiR embedment, the nominal strength minus one 
standard deviation of the brittle failure modes was
determined to be 242 kN [6]—significantly greater than 
the yield strength of the rod. This margin helped to 
promote the ductile yielding of the rods as the controlling 
failure mechanism.

The full-scale connection design was detailed with 
consideration of the component testing configuration [6,
16] and recommendations from previous GiR studies
[14-15]. The geometric layout of the GiR in the full-scale
connection was designed for an edge distance of 2.6d and
a rod spacing of 4d. The holes for each GiR were
oversized by 6.4 mm (1/4 in), resulting in a glue-line
thickness of 3.2 mm (1/8 in). Although slightly greater
than recommended, this glue-line thickness was
consistent with the component testing setup [6, 16] and
allowed for greater construction tolerances for rod
alignment. F1554, Gr 36, threaded, 25.4 mm (1 in)
diameter rods were used for the connection, bonded to the
MPP with a high-viscosity Simpson Strong-Tie CI-GV
epoxy [28]. Heavy duty Simpson SDCF Screws were
also added across the interface of the splice to provide
reinforcing for the veneers. Figure 2 illustrates the
geometric layout of GiR in the splice connection.
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Figure 1: Sectional analysis considering flexural GiR in tension and 
MPP in compression, where the contribution of flexural GiR in 
compression are neglected.

(a)

(b)

Figure 2. Geometric layout of GiR in the MPP splice connection: 
(a) elevation view of shear and flexural GiR located and 
embedments dimensioned, (b) section view with detailing 
requirements dimensioned.

3 – TEST PROGRAM

As previously stated, the GiR splice connection was 
implemented as part of the NHERI CD shake-table 
testing program featuring a six-story mass timber 
building [19]. This program consisted of three unique 
phases, where the LFRS in the north-south direction was 
exchanged for each phase. For Phase 2, notched MPP 
shear walls were utilized for the LFRS, with buckling-
restrained boundary elements [29] vertically oriented at 
the base of the wall for energy dissipation and post-
tensioned rods for re-centering. The rocking wall was 
balloon-type and composed of two stacked, vertically 
spliced MPP wall panels running the full-height of the 
building in one continuous segment. Figure 3 shows a 

picture from construction where the bottom MPP wall 
panel is in place, rods have been inserted and left loose,
and the top MPP wall panel is slowly being lowered 
down to mate with the bottom panel as workers align 
rods. A more comprehensive description of the novel 
construction approach is described in an upcoming 
publication [30].

Figure 3. MPP shear wall mating: top panel slowly lowered down 
as loose rods are aligned.

This phase of the NHERI CD test program involved four 
different earthquake ground motions of varied intensity. 
These ground motions were scaled from 10% to 110% 
MCER and included records from the Northridge, 
Niigata, Ferndale, and Maule earthquakes. Table 1 shows 
the full suite of ground motions executed.

Table 1. Ground motion suite from Phase 2 of NHERI CD shake-table 
testing where X, Y, and Z represent motion in the east-west, north-south, 
and vertical directions, respectively. 

Record ID # Duration 
(s)

Test % 
MCER

Intensities

Test 
Orientations

Northridge-01 30

10%
XYZ

Y

30%
Y

XY
XYZ

67%
Y

XYZ
100% XYZ
110% XYZ

Niigata, Japan 180
30% XYZ
67% XYZ

100% XYZ

Ferndale-890 60
30% XYZ
67% XYZ

100% XYZ

Maule Chile 90
30% XYZ
67% XY

100% XY

The building’s response to these ground motions was 
captured with several hundred sensors strategically 
placed on each story. Many different sensor types were 
used throughout the building, including varied 
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accelerometer models. The data for this study was 
sourced from triaxial accelerometers donated by ASDEA 
Disruptive Engineering and Technology [31]. Three 
ASDEA sensors were placed on each floor diaphragm at 
the southwest (SW) corner, center of mass (COM), and 
northeast (NE) corner. Figure 4 shows the location of
ASDEA sensors on a typical floor plan.

Figure 4. Typical floor plan with ASDEA accelerometers installed 
at the SW, NE and COM.

The data recorded from the ASDEA sensors required 
some post-processing to synchronize with the other 
sensors in the building. The data synchronization was 
conducted in the following steps: 

(1) A time vector was created for each device using
the real change in time (dt) for each time stamp
(since each device recorded the time every 20
acceleration points).

(2) The device that started recording last was
identified to establish the start time, and the
device that stopped recording first was
identified to establish the end time for
synchronization across all devices.

(3) The acceleration data was interpolated across all
devices so the data had a consistent time step of
dt = 0.001 seconds.

Following synchronization, the acceleration response 
histories at each floor ( ) were cleaned with a 
series of steps including baseline correction, filtering, 
and removal of points with double-ended jerk [19]. Then,
peak floor inertial forces ( ) and subsequently
shear and moment demands experienced by the splice 
during earthquake ground motions were calculated. Eqn.
3-5 show the process by which the shear and moment
demands were calculated with reference to Figure 5:

(3)

(4)

(5)

where represents the number of accelerometers on each
floor, the tributary mass of each floor, the shear
demand with respect to time, the bending moment 
demand with respect to time, and h the story height.

Figure 5. East elevation of shake-table test building structure with 
location of splice and distances of floor inertial forces with respect 
to the GiR splice identified.

The relative movement of the panels at the interface was
also measured throughout testing. The relative panel 
sliding was recorded with a linear voltage displacement 
potentiometer (LVDT) installed horizontally at the center 
of the panel interface, and the edge uplift was recorded 
with two LVDTs installed vertically at the edges of the 
panel interface. Figure 6 illustrates the location of 
LVDTs at the panel interface.

Figure 6. Elevation view of splice with LVDTs installed horizontally 
at the center and vertically at the edges to measure sliding and edge 
uplift.
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4 – RESULTS

The structural response of the GiR connection was
recorded for all earthquake ground motions in the NHERI 
CD Phase 2 test program. This paper examines the GiR 
performance at the DE (0.67 MCER) and 1.1 MCER

shaking intensity levels for the Northridge ground 
motion. Results are presented in terms of the response 
history of shear forces and bending moments experienced 
by the splice considering also the relative movement of 
the MPP panels at the splice interface. Figure 7
summarizes results from both earthquake simulations.

At the DE intensity, the peak shear and bending moment 
experienced at the splice were 185 kN and 1310 kN-m
(Figure 7: a, c). A comparison with the design shear and 
flexural strength results in a D/C of 0.91 and 0.55. Both 
values exceeded the expected demands but were still 
within the design capacity of the connection. 

For the 1.1 MCER intensity, the peak shear and bending 
moment were 264 kN and 1577 kN-m (Figure 7: e, g).
Comparing with the design capacity, a D/C of 1.3 and 
0.66 were achieved. While the shear demands exceeded 
the design strength at the highest level of shaking 
intensity, this demand was still within the expected shear 
strength of the connection (470 kN).

After each round of testing, the splice was thoroughly 
inspected and its condition documented. However, 
despite the high demands exerted on the splice, relative 
panel movement or damage was not detected at the panel 
interface. These visual observations were confirmed 
from the recorded data measuring relative displacement 
at the panel interface. Figure 7b, 7d, 7f, and 7h show less 
than 0.2 mm of sliding or edge uplift for the duration of 
testing, even at the highest shaking intensity. Considering 
the loads experienced by the splice were higher than what 
was designed for, these small displacements affirm the 
structural competence of GiR as a high stiffness 
connection with significant overstrength.

6 – CONCLUSION

A GiR splice was designed to connect MPP shear wall 
panels in a six-story shake-table test building. The 
connection was designed with two different zones: one 
with sufficient capacity to resist the anticipated peak 
shear forces and the other to resist peak bending 
moments. During testing, the acceleration of each floor 
diaphragm was recorded to calculate shear and moment 
demands at the splice for each ground motion. At the DE 
shaking intensity level, peak shear and moment demands 
remained within the design capacity. At the 1.1 MCER

intensity, the moment demand remained within the 

design capacity, while the shear demand exceeded the 
design capacity but remained within the expected 
strength of the GiR. At both levels of shaking intensity, 
however, very small relative movement was detected at 
the panel interface. Ultimately, this experiment 
demonstrated the high stiffness and strength of GiR 
connections, validating their structural adequacy for 
vertically splicing MT panels in tall MT building
applications.
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DE (0.67 MCER) intensity - Northridge earthquake ground motion

(a) (b)

(c) (d)

1.1 MCER intensity - Northridge earthquake ground motion

(e) (f)

(g) (h)

Figure 7. Results from shake-table testing using the Northridge earthquake ground motion scaled at DE (a-d) and 1.1 MCER (e-h) 
shaking intensity levels: (a, e) shear demand time history, (b, f) relative sliding at splice interface, (c, g) bending moment demand time 
history, (d, h) relative sliding at splice interface.
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